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a b s t r a c t

The design of link-to-column connections in seismic-resistant eccentrically braced frames remains a
largely unresolved problem. In order to address this problem, twenty-four large-scale specimens were
tested under cyclic loading. The test parameters included the connection detail, link length, link section,
and cyclic loading protocol. The test results suggest that link-to-column connections are susceptible
to fracture at the link flange welds, regardless of the link length. A large number of specimens failed
prematurely, before meeting the plastic link rotation requirement in US code provisions. However, two
promising link-to-column connection details were developed as an outcome of this research. The new
connection details include a detail using all-around fillet welds between the link and the column flange,
and a reinforced connection detail that welds a pair of stiffeners in the first link web panel next to the
column, parallel to the link web. Test specimens using either of these two details were able to exceed the
plastic link rotation requirement.

© 2009 Elsevier Ltd. All rights reserved.

 
 

 

1. Introduction

Eccentrically braced frames (EBFs) are an efficient seismic
load resisting system for satisfying the stiffness and ductility
requirements in contemporary building code provisions. The 2005
AISC Seismic Provisions for Structural Steel Buildings [1] prescribes
design rules for EBFs to ensure ductile performance of the links
and to ensure that inelastic frame deformations occur primarily
in the links. The 2005 AISC Seismic Provisions require qualification
testing of link-to-column connections to demonstrate that the
required link plastic rotation can be achieved prior to connection
failure. However, to date, there are few, if any, link-to-column
connection details that have satisfied these performance criteria
in laboratory testing. Therefore, the design and detailing of link-
to-column connections remain a critical unresolved problem that
restricts the use of EBFs in the US.
Link-to-column connections are required to transfer the large

shear andmoment developed in a fully plastic and strain hardened
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link, while accommodating large plastic rotation of the link. The
force and deformation demand at the connection is governed
by the geometry of the link. A shear yielding link, with a link
length of e ≤ 1.6Mp/Vp, develops very large shear force and less
substantial moment, while undergoing a plastic rotation as much
as 0.08 rad. Mp is the plastic moment capacity of the link section,
and Vp is the plastic shear capacity. A flexure yielding link, with
a link length of e ≥ 2.6Mp/Vp, develops very large moment
and less substantial shear, while undergoing a plastic rotation
of 0.02 rad. Developing connection details that can sustain these
demands without fracture remains an important challenge for
researchers and engineers. In addition to the link length category,
the stresses and strains at the link-to-column connection can
depend on the length-to-depth ratio of the link, flange-to-web
area ratio of the link, and yielding of the members outside of
the link as demonstrated by Engelhardt and Popov [2]. Therefore,
despite the apparent similarity to moment frame connections, the
force anddeformation demands at EBF link-to-column connections
are substantially different than at moment frame beam-to-column
connections.
Previously, Malley and Popov [3] observed that welded flange-

bolted web details perform poorly for link-to-column connections,
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Notation

Fy yield strength of steel member, MPa.
Fu tensile strength of steel member, MPa.
Mmax maximum link moment at the column face mea-

sured during a test, kN m.
Mp plastic flexural strength of a link beam, kN m.
Mpf plastic flexural strength of a link beam, based only

on the flanges, kN m.
Vmax maximum link shear force measured during a test,

kN.
Vn nominal strength of a link beam, kN.
Vp plastic shear strength of a link beam, kN.
bf flange width, mm.
d overall link depth, mm.
e link length, mm.
γ total (elastic plus plastic) link rotation angle, rad.
γp plastic link rotation angle, rad.
γp–max maximum plastic link rotation measured during a

test, rad.

and hence suggested the use of welded flange-welded web
details for link-to-column connections. Engelhardt and Popov [2]
observed that such all-welded connections of long flexural yielding
links (e > 1.6Mp/Vp) to columns perform poorly, due to fracture
at the link flange to column welds. Further, Engelhardt and Popov
explored multiple reinforcing methods to avoid fracture at the
link-to-column connection, and achieved mixed success. Based
on these results, Engelhardt and Popov suggested avoiding EBF
arrangements with long links connecting to columns until further
research information becomes available. Tsai et al. [4] tested large-
scale link-to-column connections using a square box column and
observed connection failure after reaching only half of the link
rotation capacity prescribed in the 2005 AISC Seismic Provisions.
Link-to-column connections had conventionally been con-

structed usingwelding procedures and details very similar to those
used formoment framebeam-to-column connections. Therefore, it
is very likely that some of the deficiencies found in moment frame
connections after the 1994 Northridge earthquake are also present
in EBF link-to-column connections. However, as noted above,
many of the improved connection details developed for moment
frame beam-to-column connections since the 1994 Northridge
earthquake, may not necessarily be satisfactory for link-to-column
connections because of the substantial differences in the force and
deformation demands between these two types of connections.
Consequently, an extensive experimental research program

was conducted to develop link-to-column connection details that
meet the requirements as per the 2005 AISC Seismic Provisions.
This paper discusses the overall perspective of the experimental
program, encompassing previously reported results [5–7], and
including results which have not been reported previously. Full
details of the program are described by Okazaki [8] and Drolias [9].

2. Test plan

The test setup shown in Fig. 1 was used to produce the cyclic
force and deformation demand in typical EBFs. As the loading ram
imposed deformation, the specimen developed large shear force,
reverse-curvaturemoment, andminimal axial force in the link. The
specimens were composed of a W12×120 column and a W18×40
or W10×68 link, each of A992 steel. The links were provided with
one-sided stiffeners as required in the 2005 AISC Seismic Provisions
unless otherwise noted. The column was provided with continuity
plates but no doubler plate. Table 1 lists the mechanical properties

 
 

 

Table 1
Test section properties.

Section Fy (MPa) Fu (MPa) Elongation (%)
Flange Web Flange Web Flange Web

W18×40 352 393 499 527 34 31
W10×68 319 404 479 531 32 34
W12×120 323 353 455 485 29 33

Note: The tabulated Fy is a static yield stress value, measured with the test machine
cross-heads stationary. The tabulated Fu is a dynamic ultimate strength, measured
with the test machine cross-heads in motion.

of the link and column sections, determined based on tension
coupons sampled from the edges of the flanges, and mid-depth of
the web.
A total of twenty-four large-scale specimens were tested using

the test setup. Table 2 summarizes the key properties of each
specimen, which included the connection type, link section, link
length, and the loading protocol used for testing. The table also
lists the plastic link rotation capacity, γp, determined as per the
2005 AISC Seismic Provisions, based on the normalized link length,
e/(Mp/Vp), using the measured yield strength values listed in
Table 1.

2.1. Connection details

Fig. 2 shows the six connection details used for the specimens.
The PN-connection (see Fig. 2(a)) represented the pre-Northridge
practice in design and construction of link-to-column connections.
A self-shielded flux core arc welding (FCAW-SS) process with an
E70T-4 electrodewas used for the complete joint penetration (CJP)
groove welds connecting the link flange to the column flange.
Backing bars and weld tabs were left in place after completion
of the link flange welds. The PN-connection was nearly identical
to pre-Northridge moment frame connections, except that the
link web was directly welded to the column. Therefore, the
deficiencies in pre-Northridge moment frame connections that
led to poor performance during the 1994 Northridge earthquake
(e.g. FEMA [10]) were likely present in the PN-connection. The
remaining five connection details were developed to address
the deficiencies in the PN-connection, and thereby to achieve
improved performance at link-to-column connections.
The MW-connection (Fig. 2(b)) incorporated modifications in

welding recommended in FEMA [10], such as the use of toughness
rated electrodes, removal of the backing bar followed by placement
of a supplemental fillet weld at the bottom flange groove weld,
fillet welding the top flange backing bar, and removal of weld
tabs. The weld access hole was slightly modified from the PN-
connection to conform to the size and geometry recommended in
FEMA [10].
The FF-connection (Fig. 2(c))was a variation of the ‘‘free-flange’’

connection, which was originally developed for moment frame
connections by Choi et al. [11]. The key features of the free-flange
connection were the extended weld access holes and the thick
shear tab welded to the link web. The shear tab was connected
to the column flange along the entire depth by a double-bevel
groove weld. The design intent of the FF-connection was to draw
the substantial shear force in the link to the shear tab, and thereby,
to reduce local stress and strain demands at the critical flange
welds.
The NA-connection (Fig. 2(d)) was based on shop-welded,

no-weld-access-hole details that are in use in Japan. Japanese
literature (e.g. [12]) reports excellent performance of moment
frame connections with these details from a substantial number
of tests. The CJP groove welds at both the top and bottom link
flanges were placed continuously without interruption by the
web. Separate backing bars were placed at both sides of the
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Fig. 1. Test setup.

 
 

 

Table 2
Test specimens.

Specimen Connection type Link Loading protocol
Section Length e (mm) e/(Mp/Vp) Target γp (rad)

PNS PN W18×40 635 1.11 0.080 Old
PNI PN W18×40 1270 2.22 0.043 Old
PNM PN W18×40 1905 3.34 0.020 Old

MWS MW W18×40 635 1.11 0.080 Old
MWI MW W18×40 1270 2.22 0.043 Old
MWM MW W18×40 1905 3.34 0.020 Old

FFS FF W18×40 635 1.11 0.080 Old
FFI FF W18×40 1270 2.22 0.043 Old
FFM FF W18×40 1905 3.34 0.020 Old
FFS-R FF W18×40 635 1.11 0.080 Revised
FFSL-R FF W18×40 980 1.72 0.073 Revised

NAS NA W18×40 635 1.11 0.080 Old
NAI NA W18×40 1270 2.22 0.043 Old
NAM NA W18×40 1905 3.34 0.020 Old
NAS-R NA W18×40 635 1.11 0.080 Revised
NASL-R NA W18×40 980 1.72 0.073 Revised

AISC-1 AF W18×40 980 1.72 0.073 Revised
AISC-2 AF W18×40 980 1.72 0.073 Revised
AISC-3 AF W18×40 980 1.72 0.073 Revised
AISC-4 AF W10×68 980 1.33 0.080 Revised

AISC-5 SW W18×40 980 1.72 0.073 Revised
AISC-6 SW W10×68 980 1.33 0.080 Revised
AISC-7 SW W10×68 980 1.33 0.080 Revised
AISC-8 SW W18×40 980 1.72 0.073 Revised
web to achieve continuous backing for the flange welds. This
detail eliminates the discontinuity in geometry introduced byweld
access holes, and reduces the likelihood of weld defects in the root
of the bottom flangeweld (Engelhardt andHusain [13]; Engelhardt
and Sabol [14]).
The AF-connection (Fig. 2(e)) used all-around fillet welds to

connect the link flanges and web to the column. Weld tabs were
used to run-off the fillet weld beyond the edge of the link flange.
The thickness of the tabs was approximately equal to the flange
thickness. The tabs provided an area to initiate and terminate the
fillet welds, and prevented undercuts at the flange edges. The tabs
were left in place after completion of welding. The fillet weld on
one side of a link flange, along with the weld tabs, is visible in
Fig. 8(b) described later.
The SW-connection (Fig. 2(f)) added a pair of supplemental
web stiffeners to an underlying MW-connection. The stiffeners
were placed in the first link web panel next to the column,
parallel to the link web. At the end of the first link panel, link
stiffeners were placed at both sides of the link web, in order to
support the supplemental stiffeners at both sides of the link web.
Each supplemental stiffener was welded to the column flange
and the first link web stiffener. The supplemental stiffeners were
not connected to the link flanges. The design intent of the SW-
connection was to increase the plastic strength of the reinforced
segment beyond themaximum forces expected at the column face,
and thereby, to prevent excessive stresses to develop near the
critical flange welds. The development of this connection detail is
described in Hong et al. [15].
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Fig. 2. Connection types (link stiffeners not shown): (a) PN-connection; (b) MW-connection; (c) FF-connection; (d) NA-connection; (e) AF-connection; and (f) SW-
connection. (Dimensions in mm).

 
 

 

The FF, AF, and SW-connections were varied between spec-
imens in order to accommodate different link lengths and sec-
tions, and in order to examine the effect of key design choices.
Fig. 2(c), (e), and (f) show the connection designs for Specimens
FFI, AISC-1, and AISC-5, respectively. The variations of the AF and
SW-connections are described further in a later part of this paper.
The welding process for the CJP weld between the link flange

and column flange was varied between the different connection
types. The 2005 AISC Seismic Provisions designate this weld as
a ‘‘demand critical’’ weld that should meet minimum Charpy-V
notch toughness requirements. The PN-connection used a FCAW-
SS process with an E70T-4 electrode. The low fracture toughness
of the weld metal deposited by E70T-4 electrodes has been
identified as a significant factor contributing to poor performance
of pre-Northridge moment frame connections (Engelhardt and
Sabol [14]). The MW, FF, and NA-connections used a FCAW-SS
process with an E70T-6 electrode. The underlying MW-connection
of the SW-connection used a gas shielded flux core arc welding
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Fig. 3. Shop welded link-to-column connection.

(FCAW-GS) process with an E70T-9 electrode. The AF-connections
used all-around fillet welds between the link flange and column
flange, using either a shield metal arc welding (SMAW) process
with an E7018 electrode or a FCAW-GS process with an E70T-9
electrode. The E70T-6, E70T-9, and E7018 meet the requirements
for demand critical welds, while the E70T-4 does not.
The PN, MW, FF, and SW-connections were intended for

field welding, as is the common practice for steel building
construction in the US. However, the NA and AF-connections were
intended for shop fabrication. Fig. 3 shows how a shop-welded
connection might be implemented in an EBF. The link is shop
welded to the column, and a brace stub is shop welded to the
link end. The brace and beam segment outside of the link are
then spliced to the connecting members in the field. Although
such construction, sometimes referred to as the ‘‘column-tree’’
construction (e.g. Astaneh [16]), is not normally used in the US
practice, this approach offers some advantages in EBFs. Both the
link-to-column connection and brace-to-link connection can be
shop-welded in a single assembly. Further, because the beam
segment outside of the link need not be the same wide-flange
section as the link, a common design problem in meeting
the capacity design requirement in EBFs may be alleviated. As
discussed in the commentary to [1], a continuous wide-flange
member is typically used for the link and the beam. Therefore,
engineers often encounter difficulty in satisfying the capacity
design requirement of the beam that is self-imposed by the section
selected as the link. Splicing the beam outside of the link will
provide an opportunity for selecting different sections for the link
and the beam. Disadvantages of the column-tree constructionmay
include difficulties in transporting a large column-link assembly to
the job site, and the additional cost of the bolted splices at the beam
and brace.

2.2. Other test parameters

The specimens had varying link lengths. The 2005 AISC Seismic
Provisionsdefine the plastic link rotation capacity,γp, depending on
the link length: 0.08 rad for links shorter than e = 1.6Mp/Vp; 0.02
rad for links longer than e = 2.6Mp/Vp; and linear interpolation is
used for links of intermediate lengths, 1.6Mp/Vp≤ e≤ 2.6Mp/Vp.
Nine specimens used a short, shear yielding link (e = 1.1 or
1.3Mp/Vp), four specimens used an intermediate-length link (e=
2.2Mp/Vp), and four specimens used a long, flexure yielding link
(e=3.3Mp/Vp). However, observations from the earlier specimens
tested in this program and finite element simulations (Okazaki [8])
suggested that links near the range of 1.6Mp/Vp ≤ e ≤ 2Mp/Vp
produce the most critical force and deformation demand to the

 
 

 

Fig. 4. Length-to-depth ratio versus depth-to-width ratio.

link-to-column connection, by combining large shear force, large
flexure, and large plastic rotation requirements. Consequently,
seven specimens with a W18×40 link used a link length in this
critical range (e = 1.72Mp/Vp).
Two different link sections were used for the specimens.

W18×40 represented deep, beam-like sections, while W10×68
represented shallow, column-like sections. Fig. 4 illustrates that
the link length-to-depth ratio depends substantially on the shape
of the link section. The figure plots the link length-to-depth factor,
(Mp/Vp)/d, against the depth-to-width factor, d/bf , for all rolled
wide-flange sections, where d is the depth of the link section, and
bf is the flange width. A d/bf value of 3 indicates a deep, beam-like
section, while a d/bf value close to 1 indicates a shallow, column-
like section. Fig. 4 illustrates that, for the same link length category,
which is governed by e/(Mp/Vp), the link length-to-depth ratio
e/d can be three times larger for column-like sections than for
beam-like sections. As described by Roeder and Foutch [17] and
in FEMA [10], the same plastic hinge rotation causes larger plastic
strains in beamwith a smaller length-to-depth ratio. Therefore, for
a given e/(Mp/Vp) value, it is expected that substantially larger
flexure-induced strains are imposed in W18×40 links than in
W10×68 links.
Cyclic loading was introduced to the specimens according to

the loading protocol prescribed in Appendix S of the AISC Seismic
Provisions. The protocol requires the amplitude of cyclic link
rotation angle, γ , to be increased gradually. In this program, γ was
computed by dividing the relative displacements at the two ends of
the link by the link length. Initially, the protocol prescribed in the
2002 AISC Seismic Provisions [18], indicated in Table 2 as the ‘‘Old’’
protocol, was used. However, during the course of this program,
it was realized that the Old protocol demands too many inelastic
cycles to shear yielding links before the target plastic rotation
of 0.08 rad is reached. Consequently, Richards and Uang [19]
developed a new loading protocol based on an extensive numerical
study, which has been adopted in the 2005 AISC Seismic Provisions.
The new protocol, indicated in Table 2 as the ‘‘Revised’’ protocol,
was used in later specimens tested in this program.
TheOld protocol requires increasing the link rotation amplitude

in increments of 0.01 rad, and repeat two cycles for each increment.
Compared to the Old protocol, the Revised protocol requires a
larger number of small cycles with γ= ±0.02 rad or smaller.
However, the Revised protocol requires that, after completing a
loading cycle at γ= ±0.05 rad, the link rotation be increased in
increments of 0.02 rad, with only one cycle of loading for each
increment. Therefore, while the Old protocol is clearlymore severe
for shear yielding links, the cyclic demands produced by the two
protocols are similar for flexure yielding links.
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Table 3
Test results.

Specimen Target γp (rad) Measured γp–max (rad) Observed failure

PNS 0.080 0.061 Fracture at link flange
PNI 0.043 0.018 Fracture at link flange
PNM 0.020 0.008 Fracture at link flange

MWS 0.080 0.060 Fracture at link flange
MWI 0.043 0.018 Fracture at link flange
MWM 0.020 0.018 Fracture at link flange

FFS 0.080 0.060 Fracture of link web around shear tab
FFI 0.043 0.046 Fracture at link flange, shear tab/link web
FFM 0.020 0.026 Fracture at link flange, shear tab/link web
FFS-R 0.080 0.041 Fracture at shear tab
FFSL-R 0.073 0.019 Fracture at shear tab

NAS 0.080 0.083 Fracture of link web at stiffeners
NAI 0.043 0.038 Fracture at link flange
NAM 0.020 0.017 Fracture at link flange
NAS-R 0.080 0.141 Fracture at link flange
NASL-R 0.073 0.058 Fracture at link flange

AISC-1 0.073 0.110 Fracture at link flange
AISC-2 0.073 0.095 Fracture at link flange
AISC-3 0.073 0.078 Fracture at link flange
AISC-4 0.080 0.096 Fracture of link web at stiffeners

AISC-5 0.073 (0.080) 0.100 (0.115) Fracture of link web at stiffeners
AISC-6 0.080 (0.080) 0.105 (0.121) Fracture of link web at stiffeners
AISC-7 0.080 (0.080) 0.095 (0.109) Fracture of link web at stiffeners
AISC-8 0.073 (0.080) 0.066 (0.070) Fracture at link flange and supplementary stiffener

Note: For Specimens AISC-5 to 8, two values are listed for γp and γp–max . The values in the bracket are based on the link length excluding the reinforced segment instead of
the net link length e.

 
 

 

3. Test results

Table 3 summarizes key results obtained from each specimen.
The table lists the target plastic link rotation determined as per
the 2005 AISC Seismic Provisions, the maximum plastic rotation
measured during the test, γp–max, and a brief description of the
observed failure mode. In accordance to the 2005 AISC Seismic
Provisions, the maximum plastic rotation was defined based on the
last full loading cycle in which the link shear force exceeded the
nominal link shear strength (computed based on the nominal yield
stress of 345 MPa) at the end of both the positive and negative
excursions. Plastic rotation, γp, was evaluated by removing the
contributions of elastic response from the link rotation, γ .
As an example of a typical test result, Fig. 5(a) shows the cyclic

response of Specimen MWS, showing the relationship between
the shear force and inelastic rotation. Stable cyclic response
was obtained, until during the loading cycle of γ = ±0.07 rad
(γp = ±0.06 rad), both the top and bottom flanges fractured
near the CJP groove weld. As loading was continued, the link
web immediately fractured. Fig. 5(b) shows a photograph of the
specimen after the linkwas completely separated from the column.
The photograph also indicates that the entire linkweb experienced
substantial yielding prior to failure of the connection. Many of
the specimens exhibited similar behavior to Specimen MWS, with
stable cyclic response followed by rapid strength degradation
caused by fracture of the link flange.

3.1. Plastic rotation

Table 3 shows that a large number of specimens failed
to meet the rotation requirement defined in the 2005 AISC
Seismic Provisions. In particular, all PN and MW-connections failed
prematurely before developing the plastic link rotation capacity.
Specimen PNI, PNM, and MWI developed less than half of the
plastic link rotation capacity. The PN and MW-connections were
similar in configuration, except that the MW-connections adopted
Fig. 5. Specimen MWS: (a) cyclic response; and (b) link after testing.

modifications in welding procedures and welding details. The
modification appeared to have beneficial effect on flexure yielding
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links: between the two specimens with e = 3.3Mp/Vp, Specimen
MWM developed twice the plastic rotation that Specimen PNM
developed. Consequently, while welding modifications may be
beneficial for link-to-column connections, welding modification
alone may have limited effect in improving the rotation capacity.
The FF and NA-connectionswere based on designs that perform

well in moment frame connections. Specimens FFI, FFM, NAS, and
NAS-R met the rotation requirements defined in the 2005 AISC
Seismic Provisions. However, three of these four specimens, FFI,
FFM, and NAS, failed abruptly after barely exceeding the rotation
requirement. Three of the five FF-specimens and three of the five
NA-specimens failed to meet the rotation requirement. Therefore,
although notably improved over the PN and MW-connections, the
FF and NA-connections were not adequate to meet the rotation
requirements for link-to-column connections.
The AF and SW-connections generally demonstrated excellent

cyclic performance. Observations from the AF and SW-connections
are described later in this paper.

3.2. Failure modes

Table 3 indicates that sixteen specimens failed due to fracture
of the link flange. All of those specimens had a W18×40 link.
While eight specimens failed due to a mode other than link flange
fracture, three of those specimens (FFS, FFS-R, and FFSL-R) had
a FF-connection, and three specimens (AISC-5 to AISC-7) had a
SW-connection, indicating that the FF and SW-connections were
successful in reducing the stress demands at the link flange welds.
Although SpecimenNAS ultimately failed due to fracture of the link
web near the stiffener welds, cracks propagating along the toe of
the link flange welds were observed in this specimen. The three
specimenswith aW10×68 link, AISC-4, AISC-6, andAISC-7, did not
exhibit link flange fracture. Consequently, the results suggest that
link flange fracture is a dominant failure mode for link-to-column
connections. Link flange fracture was observed consistently, not
only in intermediate-length links and flexure yielding links as
noted by Engelhardt and Popov [2], but also in shear yielding links.
Meanwhile, limited data seem to indicate that link flange fracture
would occur less frequently if shallower link sections (with a
smaller d/bf ratio) are used with an AF or SW-connection.
A common failure observed in the FF-specimens was fracture

near the welds connecting the shear tab/link web to the column
flange. The link web weld was placed on top of the shear tab
weld. Therefore, fracture of either the link web or shear tab was
immediately followed by fracture of the other. This unique failure
mode, which was not seen in other connections, was likely due to
the very thick shear tab in the FF-connection, which is intended to
draw stresses away from the link flangewelds. Specimen FFS failed
in the link web along the shear tab to link web fillet welds, while
no damagewas observed in the link flanges. The poor performance
of Specimens FFS-R and FFSL-R is attributed to the design that
cut the link web short of reaching the column flange (as called
for in the free-flange moment frame connections tested by Choi
et al. [11]), as opposed to welding the link web directly to the
column flange as in the other FF-specimens (see Specimen FFI
shown in Fig. 2(c)). The failuremode of FF-specimens indicates that
link-to-column connections are also susceptible to fracture at the
link web initiating at the top and bottom edges of the link web.
Five specimens failed by fracture of the linkweb, along the fillet

welds connecting the stiffener to the link web. The five specimens
had short links, either within or near the shear yielding limit. A
large number of recent tests [20,21] suggest that this is a failure
mode that dominates in short links with e < 1.7Mp/Vp. Therefore,
these specimens were successful in mitigating failure in the link-
to-column connection until the deformation capacity of the link
was exhausted.

 
 

 

Fig. 6. Forces at link-to-column connection: (a) shear force; and (b) column face
moment.

3.3. Loading protocol

Specimens NAS and NAS-R were identical specimens tested
under different loading protocols. The plastic rotation angle
achieved by Specimen NAS-R, which was tested under the Revised
protocol, was 70% greater than the plastic rotation angle achieved
by Specimen NAS, which was tested under the Old protocol. This
comparison agreeswith previous tests [21] demonstrating that the
loading protocol has a significant influence on the experimental
performance of EBFs. Therefore, it is likely that the specimens with
shear yielding links, PNS, MWS, FFS, and NAS, were penalized by
the overly conservative Old loading protocol. As noted earlier, the
Old protocol is quite conservative for shear yielding links, and
the Old protocol is equally demanding as the Revised protocol for
flexure yielding links.

3.4. Link forces

Fig. 6 shows the maximum shear force, Vmax, and maximum
column face moment, Mmax, measured from each test. The SW-
specimens are excluded from this plot because they were affected
by the increased plastic moment due to the link reinforcement.
Specimen AISC-4 was excluded so that the plot includes only
specimens with a W18×40 link. The figure also indicates the
nominal shear strength Vn and plastic flexural strengthMp. Vn was
determined as the smaller of Vp and Mp/e, as defined in the 2005
AISC Seismic Provisions, where Vp andMp were computed based on
the measured yield strength values listed in Table 1.
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The effect of link length on the link forces are clearly seen in
Fig. 6. Vmax ranged between 1.29 and 1.47Vp for shear yielding
links and between 0.72 and 0.82Vp for flexure yielding links.Mmax
ranged between 0.81 and 0.88Mp for shear yielding links and
between 1.16 and 1.25Mp for flexure yielding links.
The link overstrength factor, evaluated as Vmax divided by Vn,

is a key parameter for capacity design of EBFs. The commentary
to the 2002 and 2005 AISC Seismic Provisions states that the
capacity design procedure in the Provisions is based on an assumed
overstrength factor of 1.5. The link overstrength factor measured
from the nineteen specimens plotted in Fig. 6 was 1.29 on average,
and ranged between 1.09 and 1.47. Therefore, the measured shear
strength values suggest that the overstrength factor assumed in the
AISC Seismic Provisions is reasonable.

4. Link flange fracture

Fracture of the link flange, initiating at the interface of the
CJP groove weld and link flange base metal, was a dominant
failure mode observed in this program. The fracture occurred
frequently in the top flange and bottom flange. Fracture of the
top flange was rather clearly seen to initiate at the outer edge
of the flange. Fracture of the bottom flange appeared to initiate
either at the outer edge of the flange, or near the center portion
of the flange near the weld access hole. In the PN, MW, and FF-
connections, the link web interrupted placement of the CJP groove
weld in the link bottom flange. As described by Engelhardt and
Husain [13] and Engelhardt and Sabol [14], this practice increases
the likelihood of weld defects at the point of interruption, and
makes the bottom flange more susceptible to fracture initiating at
this location. However, the PN, MW, and FF-specimens fractured
more frequently in the top flange than in the bottom flange.
Therefore, the interruption of the bottom flange groove welds did
not appear to be a decisive factor in the tests.
Link flange fracture occurred similarly in shear yielding links

and flexure yielding links. Link flange fracture was observed in
Specimens PNS, MWS, NAS, and NAS-L, which had short links with
e= 1.1Mp/Vp that are dominated by shear yielding. In fact, Fig. 6(a)
shows that these links developed shear forces as large as 1.4Vp,
while the column face moment was at most 0.88Mp. Although
the column face moment was somewhat smaller than the plastic
moment of the section, yielding of the link flanges was clearly
observed near the column face from flaking of the whitewash. The
source of the large bending stress in the flanges of short links is
discussed below.
Fig. 7 shows the bending strain (longitudinal strain in the

direction parallel to the link member axis) measured from
Specimen MWS by strain gauges at the four indicated locations. At
locations 1 and 2, the outer and inner sides of the link top flange,
the strain value was represented by an average strain measured
frommultiple strain gauges. The relationships between the column
facemoment and bending strain are shownup to the loading cycles
of γ = ±0.04 rad. The figure indicates very small bending strain at
the two locations in the linkweb (locations 3 and 4). The outer side
of the flange (location 1) yielded once a reduced plastic flexural
capacity, Mpf (= 304 kN m), evaluated by considering only the
flanges,was exceeded. It appeared that the large shear force caused
the linkweb to yield solely in shear, and therefore, the linkwebwas
unable to contribute to flexure resistance. Fig. 6(b) indicates that all
W18×40 link specimens with e = 1.1Mp/Vp exceeded Mpf by 20
to 31%. Consequently, the bending stresses produced in these shear
yielding links were no less severe than in the longer links (e = 2.2
and 3.3Mp/Vp) that developed moments greater thanMp.
While large plastic strain was measured at the outer side of

the flange (location 1), limited plastic strain was measured at
the inner side of the flange (location 2). The difference in plastic

 
 

 

strain between the two surfaces was likely the result of kinking
deformation imposed on the link flanges to accommodate plastic
link rotation, and the associated secondary local moment in the
link flanges. The secondary moment adds stresses (either tension
or compression) on the outer side of the flange and subtracts
stresses from the inner side of the flange.
Therefore, due tomoment–shear interaction of the link, kinking

deformation imposed on the flanges, and secondary moment in
the flanges, shear yielding links may develop substantial bending
stress at the flange welds, particularly at the outer side of the
flange. The column face moment shown in Fig. 6(b) and strain
gauge measurements plotted in Fig. 7 suggest that the bending
stresses in shear yielding links are no less critical than in flexure
yielding links.

5. All-around fillet welded connections

The concept of AF-connections (see Fig. 2(e)) was motivated
by observations made during a large number of isolated link
tests [20,21]. In these tests, each end of the link was welded to
heavy end plates by large, all-around fillet welds, and the end
plates were bolted to the testing frame. The objective of those
tests was to obtain data on the plastic rotation capacity and
overstrength of links, rather than on the performance of link-
to-column connections. However, a number of specimens failed
by fracture at the link-end connections before meaningful data
on link behavior were obtained. After trial-and-error, successful
performance of the link-end connectionwas achieved by sizing the
leg of the fillet weld at 1.5 times the thickness of the connected link
flange or web, using the SMAW process with an E7018 electrode,
and using weld tabs to run-off the fillet welds beyond the edge of
link flange [21]. Theweld tabs were beneficial to avoid introducing
undercuts or weld defects at the link flange edges, which, as
described earlier, are a common location for fracture initiation.
Failure at the link-end connection was avoided in all thirty-one
specimens that adopted this fillet-welded detail in these earlier
tests. Further, the same fillet-welded detail was used successfully
at all link-column specimens tested in this program, at the link end
opposite to the column (see Fig. 1).
The AF-connection adopted the fillet-welded detail at the link-

to-column connection, by welding the link directly to the column
flange, and not using an end plate. A key objective of the four AF-
specimens was to determine if the fillet-welded detail performs
satisfactorilywhen the link iswelded directly to the column flange,
rather than to a thick end plate. Further, the use of cost-saving
options (welding process preferred by fabricators; smaller fillet
weld size) was examined. Table 4 summarizes the connection
details for the four AF-specimens, AISC-1 to AISC-4. Specimen
AISC-1 used fillet welds sized at 1.5 times the plate (flange or web)
thickness, made using a SMAW process with an E7018 electrode;
Specimen AISC-2 was identical to Specimen AISC-1, except that
the welds were made using a FCAW-GS process with an E70T-
9 electrode; Specimen AISC-3 was identical to Specimen AISC-2,
except that the fillet weld size was reduced to 1.0 times the plate
thickness. Fabricators use FCAW-GS more commonly than SMAW,
so three of the four specimens were welded using the FCAW-
GS. Specimen AISC-4 used a W10×68 link which had a thicker
flange plate thanW18×40. The thicker flangewas connected to the
column flange using a partial joint penetration (PJP) groove weld,
reinforced at the root side by a fillet weld with a leg size equal to
the flange thickness. A 45◦ bevel was introduced in the flange to
prepare for the PJP weld. The bevel was nearly full depth, but left a
small thickness of 6 mm at the root side of the bevel.
Fig. 8(a) shows the excellent cyclic behavior exhibited by Spec-

imen AISC-2. After completing a loading cycle of γ = ± 0.11 rad
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Fig. 7. Longitudinal strain history measured from Specimen MWS. (Dimensions in mm.)

 
 

 

(γp = ± 0.095 rad), the specimen failed due to fracture of the link
flange as shown in Fig. 8(b). The results listed in Table 3 suggest
that the FCAW-GS used in Specimen AISC-2 is acceptable for the
AF-Connection, although the SMAW used in Specimen AISC-1 may
provide better performance. While Specimen AISC-3 barely sat-
isfied the rotation requirement, link flange fracture and notable
strength degradation had taken place before the loading cycle at
γ = ±0.09 rad (γp = ±0.078 rad) was completed. The excellent
performance of Specimens AISC-1 and AISC-2 and reduced perfor-
mance of Specimen AISC-3 suggest that a fillet weld size approx-
imately equal to 1.5 times the link flange thickness is preferred
to meet the rotation requirements of link-to-column connections.
The excellent performance of Specimen AISC-4 suggests that the
combination of PJP grooveweld and filletweld is adequate for links
with thicker flange plates.
6. SW connections

The last four specimens, AISC-5 to AISC-8, used the SW-
connection (see Fig. 2(f)). The SW-connection was a MW-
connection (see Fig. 2(b)) with added reinforcement. Similar to
the haunch connection and other reinforcement details proposed
for moment frame connections (FEMA [22]), the design intent of
the SW-connection was to shift the formation of plastic hinging
away from the link-to-column connection. The finite element
analysis and details of the proposed design procedure for the SW-
connection are described in Hong et al. [15].
Table 5 summarizes the details for the four AF-specimens,

AISC-5 to AISC-8. The four specimens used two different link
sections (W18×40 and W10×68) and two different designs for
the supplemental stiffeners. Specimens AISC-5 and AISC-6 used
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Table 4
Welding details of AF-specimens.

Specimen Welding process and
electrode

Connection detail

AISC-1
SMAW Double sided fillet welds:
E7018 19 mm fillets on flanges;

13 mm fillets on web

AISC-2
FCAW-GS Double sided fillet welds:
E70T-9 19 mm fillets on flanges;

13 mm fillets on web

AISC-3
FCAW-GS Double sided fillet welds:
E70T-9 13 mm fillets on flanges;

8 mm fillets on web

AISC-4
FCAW-GS Flange: PJP groove weld from outside
E70T-9 and fillet weld on the inside face;

Web: 17 mm double sided fillet weld

Fig. 8. Specimen AISC-2: (a) cyclic response; and (b) fracture of link flange.

supplemental stiffeners that were at least as thick as the link
web, and sufficiently thick to increase the plastic strength of the
reinforced segment beyond the maximum forces expected at the
column face. CJP grooveweldswere used toweld the supplemental
stiffeners. Specimens AISC-7 and AISC-8 reduced the thickness of
the supplemental stiffeners, from Specimens AISC-6 and AISC-5,

 
 

 

Fig. 9. Specimen AISC-6: (a) cyclic response; and (b) link near end of test.

respectively, and used one-sided fillet welds with a leg size equal
to the thickness of the stiffener.
Fig. 9(a) shows the excellent cyclic behavior exhibited by

Specimen AISC-6, while the photograph in Fig. 9(b) shows the
specimen near the end of the test. The photograph indicates that
due to reinforcement, yielding in the first link panelwas precluded,
and thus, the design intention of the SW-connection was met
successfully. Because plastic rotation was supplied by the link
outside of the reinforced segment, it might be justified to exclude
the first link panel from the link length. In this program, cyclic
loading was applied based on the total link length including the
reinforced segment (e = 980 mm), and the plastic link rotation
in Fig. 9(a) is based on the total link length. Table 3 lists two
values of plastic link rotations for Specimens AISC-5 to 8, one based
on the total link length and a bracketed value based on the link
length excluding the reinforced segment (841 mm for Specimens
AISC-5 and 8, 848 mm for Specimens AISC-6 and 7). The latter
value of plastic link rotation is between 5 to 15% larger than the
former value. Specimens AISC-5 to AISC-7 exceeded the plastic
link rotation requirement by a substantial margin. No distress was
observed near the link flange welds.
Fig. 10(a) shows the cyclic behavior of Specimen AISC-8, while

the photograph in Fig. 10(b) shows the failure observed in this
specimen. As indicated in the figure, Specimen AISC-8 failed due
to link flange fracture before achieving the link rotation capacity
Table 5
Details of SW-specimens.

Specimen Link web thickness (mm) Stiffener thickness (mm) Stiffener welds

AISC-5 8 9.5 CJP groove weld with 1/4-in. root and 45◦ bevel
AISC-6 11.4 22 CJP groove weld with 1/4-in. root and 45◦ bevel
AISC-7 11.4 9.5 One-sided fillet welds with leg size 9.5 mm
AISC-8 8 4.8 One-sided fillet welds with leg size 4.8 mm
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Fig. 10. Specimen AISC-8: (a) cyclic response; and (b) link-to-column connection
near end of test.

of 0.073 rad. Specimen AISC-8 was identical to Specimen AISC-
5, except that the thickness of the supplemental stiffeners was
reduced, and one-sided fillet welds were used instead of CJP
groove welds at the supplemental stiffeners. Unlike the other SW-
specimens, yielding of the link flanges spread into the reinforced
segment of the link. Fig. 10(b) shows indication of yielding in
the reinforced segment, both in the link flanges and in the
supplemental stiffeners. While the specimen ultimately failed due
to fracture of the link flange, another fracture propagated along
the throat of the fillet weld connecting the supplemental stiffener
to the column flange. The fracture in the supplemental stiffener
fillet weld is visible in Fig. 10(b). Therefore, the reinforcement in
Specimen AISC-8 was not sufficient to limit the bending stresses
near the critical link flange welds.
The reduced performance of SpecimenAISC-8may be explained

by the design intention to examine the lower bound in the
thickness of the supplemental stiffeners. The nominal plastic
moment of the reinforced segment in Specimen AISC-8, combining
the contribution of the link section and supplemental stiffeners,
and using the nominal yield strength of Fy = 345 MPa, was
560 kNm. The column face moment measured during the test was
593 kN m. Therefore, the flexural demand exceeded the nominal
plastic moment by 6%. On the other hand, for Specimens AISC-
5 to 7, the ratio of measured column-face moment to nominal
plastic moment was between 82% and 97%. Considering that the
reinforced segment is subjected simultaneously to large shear
and moment, the plastic moment capacity of Specimen AISC-8
may have been insufficient to achieve the intended reinforcement
effects.

 
 

 

7. Conclusions

This paper described an experimental research program on the
seismic performance of EBF link-to-column connections. Major
findings from the program are summarized as follows:

1. The tests demonstrated that link-to-column connections are
susceptible to fracture at the link flange near the groove
weld, regardless of the link length. Strain gauge measurements
indicate that the bending stress produced near the link flange
welds is no less critical in shear yielding links than in flexure
yielding links. Moment–shear interaction, kinking deformation
imposed on the flanges, and secondary moment in the flanges
can cause substantial bending stresses near the critical link
flange welds, particularly at the outer side of the flange.

2. Connections designed and constructed according to pre-
Northridge practices may perform poorly. Welding improve-
ments alone may have limited effect in improving the rotation
capacity of link-to-column connections.

3. Connection details that perform well in moment frame
connections may not perform adequately when used for link-
to-column connections.

4. Two promising link-to-column connection details resulted
from this program. The first detail uses all-around fillet welds
between the link end and the column flange. This detail is
intended for shop fabrication. The second detail reinforces the
link by welding two steel plates in the first link web panel
next to the column. Test results demonstrated that excellent
performance can be achieved by these two connection details.

5. Further studies are recommended to confirm the performance
of the two promising connection details over a larger range
of parameters, to refine the design methods, and to identify
application limits of the details.
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